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ABSTRACT 
 
The ability to predict the reduction in capacity of a structure after an earthquake is vital in 
the process of assessing a structure after a main-shock or an after-shock. Main-shocks are 
normally followed by a few aftershocks in a short period of time. Researchers in the past have 
focused for the most part on the effects of main-shocks on buildings. Very little research has 
been performed on the ability to predict the reduction in capacity of bridges in aftershocks. This 
thesis focuses on providing a way of assessing the reduction in capacity for main-shocks as 
compared to aftershocks and the effects and importance of both in a bridge.  
The reduction in capacity was defined using three different ratios: ultimate force, 
stiffness, and strain energy ratio. The ratios were computed relative to an undamaged state 
following both the main-shock scenario and the main-shock combined with aftershock scenario. 
The force, stiffness, and strain energy quantities were obtained from lateral pushover analyses 
along the two lateral bridge axes. Probabilistic demand models describing the loss in capacity 
were formulated by pairing intensity measures, based on real ground motions obtained from 
previous earthquakes, for the main-shock and aftershock with the capacity ratios, obtained from 
nonlinear dynamic time history analysis.  
Additionally, the reduction in capacity was conditioned on residual displacement and 
intensity measure in an attempt to discover the reduction in capacity ratio due to the contribution 
of residual displacement and therefore separate contributions from geometrical and material 
nonlinearities.  This thesis demonstrates that the usage of strain energy ratio provides a definition 
of capacity that ultimately provides the best correlation between capacity and intensity measure. 
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CHAPTER ONE: INTRODUCTION 
 
 With recent significant earthquake activities (Haiti 2010, Chile 2010, and Japan 2011), 
the world has once again been reminded of the importance of reliable structures under extreme 
hazards. The impact of earthquakes involves economic losses, interruption of society 
functionality, and potentially loss of life. Bridges in particular play a major role in a network of 
roads, especially after a catastrophic event such as an earthquake. Scientists in the past have 
focused on the impact of main-shocks on buildings and bridges in particular. Very few 
researchers have described the impact and importance of aftershocks in comparison with main-
shocks on bridges.  
 Previous research has focused on providing tools for assessing a structure, mainly a 
building, after the main-shock. Special importance is placed in the short term decision of 
assessing a structure after the first quake event (main-shock). The earthquake engineering field 
has recently shifted its focus from traditional codes such as LRFD to performance-based 
engineering. In traditional codes, the theory states that the resistance of the structure must exceed 
the demand imposed on the structure. The true capacity of the structure is never defined. 
Previous performance-based studies have focused on developing successful probabilistic demand 
models for maximum response of a structure. The overall reduction in capacity question has been 
raised before, but little research to study the subject has been performed.  
 This thesis focuses on providing a way of comparing the reduction in capacity for main-
shocks as compared to aftershocks and the effects and importance of both in a bridge. Three 
global response parameters are used to describe global capacity: strain energy, stiffness, and 
2 
 
ultimate force ratio. The reduction of capacity ratios are obtained from post-earthquake pushover 
curves based on nonlinear static analysis. The modeling and nonlinear dynamic analyses are run 
using high level bridge analysis software called Bridge Command Language (BCL). The static 
pushovers are post-earthquake performed after the dynamic analysis. The analysis is performed 
using two bridges with properties similar to the ones used in previous research (Ketchum 2004). 
Recorded ground motion events were obtained from past events for both the main-shock and 
aftershock scenarios. The ratios are then conditioned on intensity measures by utilizing 3-D 
probabilistic seismic demand models to quantify the reduction in capacity for main-shocks when 
compared to aftershocks. Probabilistic seismic demand models are also created for residual 
displacement with the intent to separate the reduction in capacity arising from geometric and 
material nonlinearity. 
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CHAPTER TWO: LITERATURE REVIEW 
 
 Earthquake engineering has been an area of study for multiple decades due to the impact 
on society, particularly on loss of life, damage to infrastructure, and associated economic costs. 
Bridges in particular are far more important to society when analyzed for their impact on a 
transportation network and not just the loss of capacity of the bridge itself (Mackie 2004). In 
recent years, earthquake engineering studies have shifted focus to post-earthquake assessment of 
damaged structures and performance-based earthquake engineering (PBEE). Following 
earthquake events, assessment of structures (including bridges and buildings) is usually left to 
the expertise and knowledge of the trained engineer assessing the structure who normally bases 
decisions on the visual state of the structure in the aftermath.  
In the particular case of buildings, the structure is tagged green, which implies 
unrestricted access; yellow, for restricted access; or red for no access. Very little emphasis has 
been given to investigate the impact of aftershocks on bridges and the relationship between 
main-shocks and aftershocks on the capacity of bridges. Although the importance of being able 
to describe the resulting structural performance of a bridge as safe or unsafe based on structural 
capacity measured in terms of energy-based damage states has been previously pointed out 
(Mackie 2005), not very much research has been done to substantiate these claims. Some of the 
established criteria used to label a bridge as safe or unsafe is sometimes misleading due to the 
lack of knowledge in structural capacity (Mackie 2004). 
 Numerous research papers suggest the importance of developing an empirical and 
numerical system for the aid of assessing the true residual strength of a building after the main-
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shock. A few researchers, Luco (2004), Mackie (2005), Ryu (2011) have emphasized the 
importance of not only assessing the damage state of a building or a bridge after the main-shock, 
but also the effects of an aftershock and the ability and proper functionality of a structure to 
withstand aftershocks.  
 The parameter structural capacity is a hard parameter to define due to the lack of 
agreement in what the parameter really defines. Structural capacity or residual capacity should be 
able to clearly describe the true strength of a structure in any given point. In the particular case of 
bridges the code  designs for the state limit state functions not to be reached by the demand 
parameters (resistance ≥ effect of the loads) (AAHSTO). In the AASHTO code, the LRFD 
bridge specifications specify that the basic design for all local and global components must 
satisfy equation 1. 
 
  niii RQ       (1) 
 
Where Q is the force effect, Rn is the nominal resistance, and γ, ϕ, and η are factors 
(Barker 2007). Performance-based earthquake engineering (PBEE) allows for capacity to be 
defined in terms of performance-based parameters and for the performance of the structural 
system to be assessed rather than only the components.    
 
Performance Based Earthquake Engineering (PBEE)  
Performance-based earthquake engineering (PBBE) provides a basis for improving seismic risk 
decision making through assessment and design methods that have a strong scientific basis 
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(ATC-58 2004). PBEE emphasizes on the performance of the structure explicitly, unlike existing 
codes that concentrate in limit state functions to meet demand parameters. Ultimately, PBEE 
provides a framework to facilitate definition of the true capacity of a structure.   
In the 1990s, the first generation of PBEE provided the means for establishing 
relationships between structural response indices (drifts, deflections, etc) and performance-
oriented descriptions such as Immediate Occupancy (IO), Life Safety (LS) and Collapse 
prevention (CP). Figure 1 demonstrates the described concept of performance graphically (ACT-
58 2004).  
 
 
Figure 1 – Illustration to help conceptualize performance (ACT-58 2004) 
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The Pacific Earthquake Engineering Research Center (PEER) developed a decision-
making framework that involves global or component damage measures (DM > dm), structural 
engineering demand parameters (EDP > edp), and seismic hazard intensity measures (IM > im) 
(Mackie 2005). The PBEE framework developed by PEER begins with the input of ground 
motion intensity measures (IMs). The IMs are then used to determine the engineering demand 
parameters (EDPs) that describe the response of the structure to the event. The EDPs are then 
used to determine the damage measures (DMs) that describe the condition of the building. The 
last step in the PBEE approach is to calculate the decision variables (DVs) that provides tools for 
the stakeholder or owners who are assessing the structure.  The framework of PBEE can then be 
expressed as an application of the total probability theorem as shown in equation 2, below. 
(ACT-58 2004)   
 
    |][|]|[]|[]|[)( IMdIMEDPdGEDPDMdGDMDVGDVv    (2) 
  
Where G[DV|DM] is a loss or performance model, predicting the complementary 
cumulative distribution of DV conditioned on DM. G[DM|EDP] is a capacity or damage model, 
predicting the complementary cumulative distribution of a DM conditioned on an EDP. 
G[EDP|IM] is a demand model, predicting the complementary cumulative distribution of an EDP 
conditioned on a seismic hazard IM. λ(IM) is a seismic hazard model, predicting the MAF of an 
IM in a particular seismic hazard environment. (Mackie 2005) 
The probabilistic seismic demand model (PSDM) for main-shock damaged structures or 
non-damaged structures can be formulated in two ways. The IMs are based on a large number of 
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real and/or artificial ground motions that are applied to the structure. The records, IM, are then 
selected by the engineer to obtain the EDPs previously established by the researcher. The EDPs 
and the IMs are then mathematically related through the PSDM (Mackie 2005). The first way to 
perform a PSDA to obtain a PSDM model can be done by performing incremental dynamic 
analysis (IDA) (Vamvatsikos 2002; Ryu 2011). The second way to perform a PSDA to obtain a 
PSDM is by using the cloud approach (Mackie 2005).  
The IDA consists of a computationally intensive procedure, that was in fact incorporated 
into seismic codes such as FEMA-2000 (Vamvatsikos 2002), to perform a nonlinear dynamic 
analysis for each record by scaling it to several levels of intensity that are suitably selected to 
cover the full range of the model’s behavior; including elastic, yielding, nonlinear inelastic, and 
failure or global dynamic instability (Vamvatsikos 2002). 
The PSDA or the “cloud method” requires a wide variety of ground motion records 
grouped into bins of similar characteristics, described in more depth in the methodology chapter 
in the subsection titled ground motions. The bins are then used without prior scaling within or 
between bins to perform the nonlinear dynamic analysis (Mackie 2005). Both methods have been 
previously used to determine the relationship between EDP and IM (Vamvatsikos 2002; Luco 
2004; and Mackie 2005). In this thesis the EDP defining capacity are obtained from the by-
product of a series of pushover curves generated from the degraded structure after a PSDA.   
Ultimately, PSDA provides a mechanism of quantifying the probability of exceeding a 
demand limit state of particular interest, given the measure of intensity. These are called 
“demand fragility curves” (Mackie 2005).  
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Accumulation in Reduction in Capacity due to Fatigue  
 The repetition of medium-strong intensity earthquake ground motions at brief intervals of 
time has been observed to occur in previous earthquakes. Previous studies carried on reinforcing 
bars used in reinforced concrete construction  to examine the behavior of reinforced concrete 
under low-cycle fatigue behavior was investigated by El-Bahy (1999) and Brown (2004). In their 
studies the importance of taking into account the degradation of material due to accumulation of 
damage as a consequence of low-cycling of the material was pointed out. Earthquake induced 
forces are directly linked to fatigue behavior of concrete and steel. Brown (2004) points out the 
importance of incorporating in advance analytical models constituent models capable of 
behaving low-cycling fatigue in addition to monotonic behavior for the damage prediction of 
reinforced concrete. The reduction of capacity in a bridge column due to aftershock ground 
motions can mainly be attributed to the accumulation of low cycling fatigue. For the most part 
aftershock ground motions are generally very small in magnitude when compared to the main-
shock ground motion record. It is therefore imperative that when analyzing bridges, the 
constituent model of the steel has the capability of behaving low-cycling fatigue and 
accumulation of damage due to cycling. Without a constituent model of steel capable of 
behaving fatigue it is possible that the reduction in capacity may never be observed and as a 
consequence the aftershock ground motion overseen in an earthquake structural analysis. 
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Post-Earthquake Assessment 
Written criteria for post-earthquake assessment of buildings were established by Bazzurro 
and Cornell (2006). The importance of establishing an engineered procedure for analyzing the 
structure (building) prior to the earthquake, to truly understand the degradation of the building 
safety in terms of damage states is emphasized. The engineer may then be informed of the 
damage patterns before even getting to the site for inspection. Some of the pre-engineering 
analysis could provide information with regards to the patterns of cracking, spalling, critical 
parts of the building locally or globally, residual drifts that are expected for certain levels of 
ground motion prior to the event (earthquake) happening (Mackie 2005; Bazurro 2006). The 
ability to provide pre-assessment curves to the engineer inspecting the building could provide 
him/her with the tools of understanding the contributions of damage to the structure in terms of 
material or geometry.   
 
Engineering Demand Parameters 
 EDPs are most commonly defined as the response of a structure subjected to an 
earthquake motion, characterized by the descriptor IM. The ATC-58 (2004) report summarizes 
previously used EDP for reinforced concrete frames, reinforced concrete masonry structural 
walls, and steel moment frames. According to the ATC-58 report, the EDPs can be divided into 
two categories: direct or processed. Direct EDPs includes component forces and interstory 
displacements. Processed EDPs are Damage Index (DI) that combine maximum displacement 
response and total hysteretic energy dissipation. Some of the EDPs described in the ATC-58 
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report are summarized below (Table 1); only the EDP that were considered to be relevant to this 
thesis are summarized in Table 1.  
 
Table 1 - EDPs obtained from the ATC-58 Project (2004) 
 
Direct EDP Processed EDP 
Axial force, bending moment, and shear force in 
columns (Reinforced Concrete moment Frames) 
Park and Ang  index 
Bending Moment and shear force in beams(Reinforced 
Concrete moment Frames) 
Powell and Allahabadi  deformation 
Index 
Shear for in beam-column joints(Reinforced Concrete 
moment Frames) 
Fajfar  Energy only based index 
Interstory Drift (Reinforced Concrete moment Frames) 
Mehanny and Deierlein ductility based 
damage index 
Bearing and lateral pressure beneath foundations 
(Reinforced Concrete moment Frames) 
Bozorgnia and Bertero DI’s for inelastic 
single-degree of freedom 
 
As pointed out before, very few papers have presented research on the capacity of 
bridges. Mackie (2005) describes over 20 possible EDPs that could be used as measures to 
describe bridges. According to Mackie (2003, 2005) highway overpass bridge EDPs can be 
grouped into three categories; Global EDPs, Intermediate EDPs, and local EDPs. Global EDPs 
describe the overall performance of the bridge system. The intermediate EDPs describe the 
performance of bridge structural components such as columns, decks, piers, abutments, 
foundations. The local EDPs describe material level responses, such as strain-stress relationships 
(Mackie 2005). A few selections of the EDPs are summarized in Table 2. 
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Table 2 - Parameters previously used for Bridges (Mackie 2005) 
 
EDPs Previously Used for Bridges 
Global Intermediate Local 
Maximum Column 
Displacement 
Maximum column curvature Material Stress at column 
Residual Displacements Shear force in the abutments Material Stress at deck 
Motion at the Abutments Shear Force in the tabs Material Strain at column 
Drift Ratio Cross-sectional curvature Material Stress at deck 
Yield Energy Plastic rotation Displacement ductility 
 
Guidelines in Place for Assessment of a Structure After an Earthquake  
 Multiple papers written by Bazzurro and Cornell (2004, 2006), Yeo and Cornell (2004), 
and Luco and Bazzurro (2004) concurred that analyzing a building for possible damage states 
can be done sufficiently by the guidelines established by FEMA for the Nonlinear Static 
Procedure (NSP) or Pushover Analysis. The papers also suggest that tagging of a building cannot 
be possible without knowledge of the likelihood that a building may collapse during an 
aftershock ground shaking. In order to estimate the median residual dynamic lateral capacity, 
Sa,cap, of the damaged structure to resist the post-mainshock damage state; a nonlinear dynamic 
analysis for a set of n ground motions must be done, as the Sa,cap cannot be found from the NSP 
(Pushover curve).  
The tagging criteria proposed by Bazurro and Cornell (2006) are expressed in terms of 
(1) the building site specific mean annual frequency (MAF) of exceedance of the ground motion 
corresponding to the median capacity of the building in its intact conditions, Po; (2) the building 
site specific frequency mean annual frequency of the aftershock ground motion corresponding to 
the median capacity of the building in the damage state DSi, P. The graphical representation of 
the proposed tagging criteria is summarized in Figure 2 (Bazurro and Cornell 2006).  
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 It is important to point out that P is a time-varying variable that decreases with the time 
passed after the main-shock. It is a measure that is predicted more accurately using the 
Aftershock Probabilistic Seismic Hazard Analysis (APSHA) as explained by Yeo and Cornell 
(2004).  
 
  
Lastly Bazzurro and Cornell (2004) summarized their results with fragility curves, which 
they defined as a curve that provides the conditional probability that the intact building will be 
assigned a specific tag or worse for any given level of spectral acceleration, Sa(T1), that may be 
experienced at the building site. 
Franchin and Pinto (2008) also propose a criterion for maintaining a bridge open or 
closed based on ability to assess the survival probability of the damaged bridge after the main-
shock under the sequence of the aftershocks as determined from an APSHA.  In their paper they 
present their results with fragility curves in terms of critical demand to capacity ratio condition 
 
Figure 2 - Graphical Interpretation of the tagging criteria (Bazzurro & Cornell, 2004) 
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on spectral acceleration. Capacity is defined as the global state of the structure according to the 
drift and shear force components of a single column (Franchin 2008).  
 
Bridges 
Selecting the correct sample of structures, in this case bridges, is vital to the process of 
finding accurate results. The inventory of the Federal Highway Administration (FHWA) 
classifies bridges into multiple categories including: 1) material type such as concrete, steel, 
prestressed concrete, wood or timber, masonry, and aluminum; 2) structure type such as slab, 
stringer, girder, tee beam, truss, and arch among many others; 3) Service on bridge; 4) service 
under bridge.  
Since this thesis concentrates in the response capacity of bridges in seismic areas, the 
inventory of bridges in the state of California will provide the best set of sample bridges to be 
analyzed. According to the FHWA, there are a total of 24591 bridges in the state of California, 
with an 85.9 percent (21122) of bridges being made out of either concrete or prestressed 
concrete. In comparison with the 2003 statistics (Mackie 2005), concrete bridges continue to be 
the predominant bridge in the state of California, which is why previous studies (Ketchum 2004; 
Mackie 2005) selected bridges correspondent to the “Ordinary Standard Bridge” used in the 
California Highway System. The Caltrans Seismic Design Criteria provides the minimum 
seismic requirements for an Ordinary bridge. The focus of the Caltrans Seismic Design Criteria 
revision 1.6 is for Reinforced Concrete Bridges (Caltrans 2010). Due to the predominance of 
concrete bridges and the availability of previous bridges used in successful past studies, the 
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bridges model in this thesis will all fall under the category of reinforced concrete California 
overpass bridges (Ketchum 2004; Mackie 2005). It is important to inform the reader the Caltrans 
Seismic Design Criteria (SDC) for the bridges used in this thesis correspond that that of the 1999 
revision; the SDC has since then been updated (2011).  
 
Open System for Earthquake Engineering Simulation (OpenSees) 
 OpenSees is an open-source object oriented software framework for simulation 
applications in earthquake engineering using finite element methods developed by the University 
of California at Berkeley (McKenna 2000). OpenSees currently has the ability to integrate 
existing libraries and new components into the framework without the need to change the 
existing code.  OpenSees is based on TCL command language to control variable manipulation, 
mathematical expressions and control of structures as explained by McKenna (2000).  As shown 
and validated by Luco (2004), Mackie (2005), Scott (2007), Yan and Yang (2008), Ryu (2011), 
and Cronin (2009), OpenSeeS provides accurate material and element libraries for running 
nonlinear dynamic analysis for many structures.  
 
Bridge Command Language (BCL) 
 The Bridge Command Language (BCL) is a higher-level bridge analysis tool/software 
developed in the TCL language in the same framework as OpenSEES created by Dr. Kevin 
Mackie at the University of Central Florida (UCF).  Ultimately BCL provides higher-level data 
that can be used to automate different analysis approaches including but not limited to modal 
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analysis, hybrid simulations, transient, pushover, and pushunder analyses among many others.  
BCL uses an algorithm to create a bridge from building blocks, and allows the user to perform a 
three-dimensional nonlinear dynamic analysis with ground motion records. The program has the 
ability to add different records to the library as needed by the user, the records can be factored 
(increased or reduced) based on user needs.  
BCL allows the user to create new blocks of bridges by defining the common 
components of a bridge such as abutments, diaphragms, bearing, bents, decks, foundations, 
columns, and hinges (Cronin 2007). The BCL library based on OpenSees has the capability of 
using three-dimensional, fiber discretized, nonlinear, beam-column elements (Mackie 2005). 
BCL also allows for the implementation of different advanced models for constituent material 
behavior. Figure 3 shows the hysteresis loops of the shear force-deformation of one of the 
reinforced concrete columns in the bridge under cyclic deformation due to inelastic behavior that 
BCL is capable of modeling for a ground motion record with negative velocity. The output of the 
program contains over 50 different results containing information with regards to different EDPs 
of interest including but not limited to those described in the section titled Engineering Demand 
Parameters.  
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Figure 3 – Dynamic representation of hysteresis loops due to nonlinear response 
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CHAPTER THREE: METHODOLOGY  
 
 To define capacity, the relationship of main-shock and after-shock capacity with the 
excitation experienced by the bridge (PSDA), as described in chapter 1, is utilized. The PSDA 
approach is a more general probabilistic seismic demand model that allows this study to create a 
PSDM of the relationship between “capacity” and IM.  
 In order to use the PSDA to formulate the PSDM of interest the following steps as 
previously used and described by Mackie (2005) must be performed:  
1. Ground Motion Suite: A representative set of ground motions is required for both main-
shock and aftershock. To maintain the uniformity of the records the main-shock and the 
aftershock have to be paired together based on their same characteristics as described in 
the ground motions section below.  
2. Bridges: A representative class of structures, in this study bridges, most be selected for 
investigation based on the Seismic Design Code and the Caltrans code. 
3. Finite Element Model: A nonlinear finite element analysis model most be generated in 
order to properly generate the selected structures in step 2. 
4. Establish the EDPs based on the interest and goals of the study. In this thesis all 
parameters were selected to be representatives of the capacity of the structure.   
5. The selected structures in step 2, modeled in step 3 are subjected to a nonlinear dynamic 
analysis by using all the ground motions chosen in step 1. 
6. Finally, a demand model, PSDM, is then formulated based on the resulting ground 
motion IM’s and the EDPs.    
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Ground Motion Suite 
 The ground motion suite used in this analysis consists of 391 ground motion records 
obtained from the Pacific Earthquake Engineering Research Center NGA database. The bin 
approach was initially proposed and used by Shome and Cornell (1999). The total number of 
bins or ground motions is divided between the main shock and the aftershock bins. The main or 
first shocks used in the analysis consist of the same 160 ground motion records used in the thesis 
by Cronin (2009) and used in a similar manner by Mackie (2005). The aftershock bins assembled 
for this thesis consist of 231 ground motion that were selected to mimic the same criteria as the 
main-shock ground motion record bins used in previous studies (Cronin 2009; Mackie 2005).  
The ground motion records consist of three orthogonal components: two are oriented 
along the horizontal and the third one is oriented vertically. The records were categorized based 
on three main components: Magnitude, Distance, and Soil Type. The magnitude was quantified 
as a “large magnitude” if it was greater or equal to 6.5; otherwise the magnitude was considered 
a “small magnitude”. The soil types were divided between soil C and D, based on the National 
Earthquake Hazard Reduction Program (NEHRP). A closest distance of 30km from the 
recording site to the ruptured area (ClstD), as defined in Figure 4 from the NGA PEER (1), was 
used to distinguish between a strong ground motion of a large range and short range.  
Figure 5 and Figure 6 were obtained from Cronin (2009), and were very similar to the 
records used by Mackie (2005). They show the ground motion magnitude and distance pair 
distribution for the main-shock events separated into soil categories C and D. 
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Figure 7 and Figure 8 illustrate the distribution of aftershock events selected for this 
thesis. For uniformity purposes they were broken down into soils C categories and D, 
respectively. Refer to appendix A for a tabular list of the aftershocks illustrated in Figure 7, and 
Figure 8. In the tables, further details of all ground motions including station name, earthquake 
name, sensor location, year of event, magnitude soil type, and distance of rupture are reflected.  
   
 
Figure 5 - Magnitude Distance pairs of Motion Suite for NERHP Soil Type C (Cronin 2009) 
 
Figure 4 -  Definition of closest distance ClstD from NGA (1)  
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Figure 6 - Distance pairs of Motion Suite for NERHP Soil Type C (Cronin 2009) 
 
 
Figure 7 – Magnitude Distance pairs of Aftershock Motion Suite for NERHP Soil Type C 
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The aftershocks were applied to the structure after allowing the structure to come to a full 
rest from the main-shock. The aftershock was randomly selected from the aftershock bin with the 
same characteristics as the bin from the main-shock, creating a total of 20 event sequences for 
each bin. A total of 8 bins were used in each bridge initially (LMLR_C & D, LMSR_C &D, 
SMLR_C & D, SMSR_C &D). Due to the lack of aftershock records for large magnitude large 
rupture for both type soil C and D, shown in Figure 7 and Figure 8, the same bin for the main-
shock was used for both the main-shock and the aftershock. The bins corresponding to LMLR_C 
and LMR_D were eliminated from the sample of data points due to the linear dependence from 
main-shock to aftershock bin created when the same bin with different scaling factors was used. 
 
Figure 8 -  Magnitude Distance pairs of Aftershock Motion Suite for NERHP Soil Type D 
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Amplification of all the records was necessary to assure that during analysis nonlinear 
response was obtained. Due to the small magnitude of the records, and with the intent to achieve 
nonlinear response, the main-shock record’s amplitude for both bridges was scaled by a factor of 
2 to achieve a larger state of damage on the bridge. For the first bridge, Type 1A, the aftershock 
was reduced by scaling it to half the factor of the main-shock. Due to the small residual 
displacements obtained in the first bride, the second bridge, Type 2A, was scaled differently; 
both the main-shocks and the aftershocks were factored by 2.  
 The intensity measure (IM) used in this paper was peak ground velocity (PGV in cm/sec). 
This is a measure that can be generated directly from the earthquake time history record; 
however for this thesis the PGV was obtained directly from the PEER NGA database and 
factored as required. Previous papers have demonstrated PGV to be the optimal period-
independent IM for bridge design equations and fragility curves (Mackie 2005) due to the period 
range of the structures considered.  
  
Bridge Types   
The second step in the process was identifying bridges that are representative of typical 
bridges that are commonly built in seismic areas under normal sites. Based on the information 
found on previous research, and after trying to obtain drawings for true live already built bridges, 
it was determined that the bridge parameters described by Ketchum (2004) per the Caltrans 
Seismic Design Criteria to the “Ordinary Bridge” are the best standard bridges to use for this 
thesis.  
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 Based on the FHWA, previous studies have described based on statistics the most 
predominant type of bridges used and design in seismic areas. The most dominant type of 
structures in the state of California are divided among four main categories: 1) Post-tensioned 
cast in-situ concrete box girders on monolithic piers, 2) Pre-tensioned precast concrete I girders 
on bearings supported by piers, 3) Concrete slabs on pile extensions, and 4) Steel plate girders on 
bearings supported by piers (Ketchum 2004).  All previous studies concurred that the concrete 
box girder and concrete I Girder are the most predominant bridges in California (Ketchum 2004; 
Mackie 2005). Most of the bridges fall under the longitudinal variations of single-span, two-
span, and three spans. The bridges usually have one column-bent, shown in the Figure 9, or two 
or three column bent in the transversal direction.  
 
Figure 9 – Single-column (Ketchum 2004) 
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For this thesis two bridges with the elements of an “Ordinary Bridge” as required by the 
Caltrans’s Seismic Design Criteria (1999) were used. The bridges used in this study were not 
taken from real bridges previously constructed; eliminating the difficulties that may be 
encountered with analyzing a “real bridge”. The two bridges selected for this study fall very 
closely, but not identically under the category of a type 1 bridge previously described and used 
by Ketchum (2004). Both bridges fall under the category of single-column bent bridge, as a two 
or three column bent introduce variation in comparison of results between bridges. The two 
bridges are described in more detail in the next two subsections. The two bridges used in this 
study have a zero skew angle, zero bank, zero deck radius, and a zero structure angle.   
 
Type 1A Bridge – Two Span Bridge  
The first bridge used in this study is a two-span bridge seated on two abutments and one 
single column-bent. The two spans have a length 120ft each, with an elastic diaphragm 
corresponding to that of a type 1 deck from Ketchum. Refer to the diaphragm below (Figure 10) 
for a section cut. The diaphragm is a two cell box girder with a width of about 36ft (10.9m) and a 
depth of 6 ft (1.82 m), reinforced with 27 #9 bars running a length of 30 feet on the deck and 24 
#9 bars in the soffit. For more information and a full scale set of drawings the reader is directed 
to Ketchum (2004).  
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Figure 10 – Type 1A diaphragm (Ketchum 2004)  
 
The single column bent is a circular column designed based on the column to 
superstructure dimension ratio guideline given in the Seismic Design Code (SDC 1.6) equation 
7.24a 0.7<Dc/Ds<1.  The column is 22ft (6.70m) tall with a 4 ft (1.21m) diameter, reinforced 
with twenty-eight (28) #10 rebar in bundle of two in the longitudinal direction, and #5 transverse 
spirals @3.50”. The ratio of longitudinal reinforcement is 0.02 and the transversal ratio is 
0.0159, which are within the boundaries of minimum and maximum reinforcement required by 
SDC (.01< Ρ <.04) for longitudinal reinforcement and section 3.8 of SDC (1.6) for lateral 
reinforcement. A cross section of the circular column is shown in Figure 11.  
26 
 
 
Figure 11 – Type 1A Column (Ketchum 2004) 
 
  A summary of the elements described above for bridge Type 1A are summarized along 
with other important elements in Table 3. Some of the parameters in Table 3 are necessary for 
the finite element model, discussed in more depth in the next section of the thesis.  
 
Table 3 - Type 1A Bridge Design Parameter Summary 
 
Type 1A Bridge 
Bridge Part Description Parameter Actual Value  
Deck (Elastic) 
Number of Spans #  2 
Span Length L 120ft / 36.58m 
Deck Width Width ft / 11.89m  
Deck Depth Ds 6 ft / 1.83 m  
Prestress - 4515.9 Psi / 31136 kPa 
Boxes   2  
Deck Area A 61.65 ft
2
 / 5.72 m
2
 
Moment of Inertia Izz 325.52 ft
4
 / 2.81 m
4
 
Moment of Inertia Iyy 6243.85 ft
4
/ 53.88 m
4
 
Polar Moment of Inertia J 19.79 ft/ 6.03 m 
Concrete Strength Deck F’c 5000 Psi / 34473 kPa 
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Bridge Part Description Parameter Actual Value  
Column 
Column Height  H 22 ft / 6.71 m 
Column Diameter  Dc 4 ft / 1.22 m  
Span to column height 
ratio 
L/H 5.45 
Concrete  Strength 
Column 
F’c 
4000 Psi / 27579.0 
kPa  
Reinforcement Yield 
Strength 
Fy 
68000 Psi / 468843.5 
kPa 
Longitudinal 
reinforcement  
ρs,lon 0.02 
Transversal 
reinforcement  
ρs,trans 0.0159 
Bar Longitudinal  #Bar  10 
Bar Transversal  #Bar 7 
Mild Bar Deck - 27 
Mild Bar Soffit - 24 
Foundation 
Concrete strength 
Foundation  
F’c 
3600 Psi / 24821.1 
kPa 
 
Type 2A – Three Span Bridge  
The second bridge used in this study was a three span bridge; the three spans were 
designed differently in length on purpose to obtain unsymmetrical response. The first end span is 
120ft in length, the middle span is 150 ft, and the second end span is 100 ft. The deck is a Type 
1A identical to the one described for the first bridge (Figure 10). In order to be consistent with 
the first bridge the same bent was used for the Type 2A Bridge. The column is a single-column 
bent identical to the one used in the first bridge, Type 1A (Figure 11). The height of the column 
the two columns is also 22ft (6.71). The foundation of the bridge is also a pile shaft.  For a 
summary of the parameters of the bridge refer to Table 4.  
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Table 4 – Bridge Type 2A – Three Span Bridge 
 
Type 2A Bridge – Three Span   
Bridge Part  Description Parameter Actual Value  
Deck (Elastic)  
Number of Spans #S  3 
Span Length L 
120ft / 36.58 m | 150ft / 
45.72 | 100ft / 30.48 
Deck Width Width 36ft / 10.9 m  
Deck Depth Ds 6 ft / 1.83 m  
Prestress - 4515.9 Psi / 31136 kPa 
Boxes  - 2  
Deck Area A 61.65 ft
2
 / 5.72 m
2
 
Moment of Inertia Izz 325.52 ft
4
 / 2.81 m
4
 
Moment of Inertia Iyy 6243.85 ft
4
/ 53.88 m
4
 
Polar Moment of Inertia J 19.79 ft/ 6.03 m 
Concrete Strength Deck F’c 5000 Psi / 34473.8 kPa 
Column (Inelastic) 
Number of Columns #C 2 
Column Height  H 22 ft / 6.71 m 
Column Diameter  Dc 4 ft / 1.22 m  
Span to column height ratio L/H 5.45 
Concrete  Strength Column F’c 4000 Psi / 27579.0 kPa  
Reinforcement Yield 
Strengh 
Fy 68000 Psi / 468843.5 kPa 
Longitudinal reinforcement  ρs,lon 0.02 
Transversal reinforcement  ρs,trans 0.0159 
Foundation  
Concrete strength 
Foundation  
F’c 3600 Psi / 24821.1 kPa 
 
 
Finite Element Analysis Model 
 The finite element analysis software OpenSees, originally developed by McKenna 
(2000), was used to perform the nonlinear time history and capacity analysis. The bridge model 
was generated using BCL libraries based on the designed bridges described in the section titled 
bridge types. The abutment model utilized for this thesis corresponds to that of a spring abutment 
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with expansion joints and uncoupled bearings. The column of the bridge is seated on pile shafts 
constrained to be modeled as a fixed foundation.  
The deck of the bridge was modeled using the BCL module, Deck PT_39_6_2, to be 
nonlinear with the assumption the capacity design would account for the large section forces 
(Cronin 2009). The deck was modeled with 3 user defined integration points as a 2 box girder 
post-tensioned deck with the depth, length, and material strength parameters shown in Table 3 
and Table 4. The deck connection with the diaphragm elements at each bent was modeled to 
interact inelastically. The reinforced concrete model was implemented using the steel02 and 
concrete02 constitutive models from the OpensSees material library.  
The spring abutments used for the bridge create transverse arrays to mimic the deck 
diaphragms. The springs have properties derived from the Caltrans relationships for lateral 
directions and the Zhang and Makris embankment vertical stiffness (BCL 2011; Mackie 2009). 
The parameters for both bridges required to model the spring abutment were the mass (150 kg), 
soil wave velocity (150 m/s), soil density (1760.6 kN/m
3
), and backfill slope (2:1). The nonlinear 
uncoupled elastomeric bearing pads implement an elastic-perfectly plastic constitutive model 
placed at the webs of each box girder on the abutments (Cronin 2009).  The required model 
parameters for the bearings were the height (5.08m), area (.28 m
2
), modulus of elasticity (34473 
kPa), shear modulus (1030.2 kPa), and yield stress (15513.2 kPa).  
Nonlinear fiber sections were used to model the reinforced circular concrete columns. 
The constitutive model selected for steel reinforcement in the column corresponds to a material 
capable of modeling fatigue (Steel03 in the OpenSees library). By allowing the material to 
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fatigue the aftershocks actually have an effect in the degradation of the structure material; 
otherwise due to the normally low IM observed in aftershocks it is possible to cycle the concrete 
and the steel infinitely within the backbone (elastic portion) of the material curve. The concrete 
constituent model corresponds to an uniaxial concrete (concrete01 in the OpenSees library).     
After generating the finite element model, the bridge is subjected to a static analysis with 
just the gravity loads being applied to it; followed by a static pushover in its “virgin” state in 
each of the three orthogonal directions: vertical, longitudinal, and transversal. The virgin state 
will be used through the rest of the paper to describe the state of the bridge prior to the bridge 
experiencing the dynamic ground motions.  The virgin state is therefore the initial state of the 
bridge for comparison of degradation due to main shocks and aftershocks.   
The bridge is then subjected to a first nonlinear dynamic time history analysis by 
applying the ground motions based on the PSDA approach described in the literature review 
chapter. The constant average acceleration Newmark numerical integrator is used with 3.0% 
equivalent viscous damping ratio to perform the dynamic time steps (Mackie 2005). The 
Rayleigh or equivalent viscous damping ratio is obtained from the computation of the eigenvalue 
of the vibration properties of the structure: natural frequencies and modes (Chopra 2007).   
After the first nonlinear dynamic time history analysis for main-shock in each of the 
orthogonal directions, a second static post-earthquake pushover is performed on the bridge for 
the longitudinal direction, transverse direction, and vertical direction to obtain the reduction of 
capacity from the virgin state to the main-shock state (Virgin state is the first pushover). A 
second nonlinear dynamic time history analysis for the main shock combined with the aftershock 
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consequently is performed on the bridge. The second nonlinear dynamic analysis is followed 
with a third post-earthquake pushover analysis of the degraded structure in each of the 
orthogonal directions, from the virgin state to the main-shock followed by the aftershock. A total 
of three post-earthquake pushover curves are evaluated for each of the records as shown in 
Figure 12 
 For a two span single column bent a pushover performed for every single one of the 
records in the three different stages i) virgin state ii) main-shock iii) main-shock followed by the 
aftershock was performed by incrementing the lateral load at the top of the column and 
monitoring displacement at the top until failure. For the vertical pushunder analysis, the load was 
incremented vertically on the column monitoring vertical displacement until failure. The 
pushover curves for the three different stages in all three directions (longitudinal, vertical, and 
transversal) for one of the records for the bin label LMSR_C (Large Magnitude, Small Rupture, 
Soil C) are illustrated (Figure 12, Figure 13, and Figure 14).  
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Figure 12 – Longitudinal Pushover Sample (LMSR_C)  
 
 
Figure 13 – Transversal Pushover Sample (LMSR_C) 
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Figure 14 – Vertical Pushunder Sample (LMSR_C) 
 
As it can be noted in the pushover curves above, the longitudinal (Figure 12) and 
transversal (Figure 13) pushover curves are different from each other in shape for this example 
as they were obtained for the bridge type 2A (two column-bent). Single column bent bridge 
pushover curves for the longitudinal and transversal directions are very similar to each other. 
This is similar to the findings described in previous papers (Mackie 2005).  
 
Engineering Demand Parameters 
 Three EDPs were selected to be used in this thesis; two of the EDPs selected for this 
study are generally used and were based on the findings on previous studies for global EDPs: i) 
ultimate global column force ii) column stiffness. The third EDP selected for this paper is the 
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resisting strain energy. All three EDPs selected for this study were selected with the intent to 
describe global capacity of a structure.  
 The first EDP, ultimate global column force, was obtained directly from the force-
displacement pushover curve of each of the three different stages (virgin, main-shock, main-
shock followed by aftershock). The ultimate global force is obtained from base shear of the 
column. The ultimate global force is then the shear force of the column.  
 The second EDP, stiffness, was obtained directly from the force-displacement pushover 
curve using mathematical fitting techniques. The stiffness was determined by fitting the force-
displacement points from the pushover curve with a polynomial of 8
th
 order (Figure 15). The 
derivative of the equation was then taken and evaluated at the yield displacement point provided 
by the BCL results for all three stages (virgin, main-shock, main-shock followed by aftershock).  
The intent was to obtain the stiffness passed the linear elastic portion, but before the ultimate 
global force of the pushover curve, while maintaining consistency from record to record. It is 
important to point out that the stiffness of the column is dependent on the deflection point at 
which the derivative of the polynomial equation is evaluated. Very different values would be 
obtained depending on the elastic portion or nonlinear portion of the pushover curve.      
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Figure 15 – Stiffness from Pushover Curve Sample (LMSR_C Aftershock) 
 
 The third EDP, strain energy, was also calculated using the force displacement pushover 
curve. The strain energy provides a capacity quantity describing both the force and displacement 
of the structure, as opposed to the ultimate global force. Ultimate global force provides a 
maximum force measure not describing the ability to take further loads past this point or 
behavior before. Stiffness is a measure that significantly depends on the stage of the structure, 
elastic or plastic. Despite the pitfalls described, both measures ultimate global force and stiffness 
are typical measures used to describe capacity.    
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 Resistance strain energy was computed by using the trapezoidal rule to numerically 
integrate the force-displacement pushover curve for each orthogonal direction. The trapezoidal 
curve can be evaluated using the representation in Figure 16. 
 
 
Figure 16 – Trapezoidal Rule Representation   
 
The original data files for the force-displacement had displacement points well after the 
force of structure dropped significantly (right figure of Figure 17). Due to this condition the 
strain energy was defined as the area under the curve up to a 20 percent decrease from the 
ultimate global force for all three scenarios (virgin, main-shock, and aftershock).  
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Figure 17 – Pushover for all three scenarios modified vs. original data  
 
Residual Displacement 
Another objective of this thesis is to find out the resilience of the bridges due to the 
contribution of material and geometrical nonlinearities. One way of analyzing the material and 
geometrical nonlinearities is to consider residual displacement after the dynamic analysis for 
both the main-shock and the aftershock. The residual displacement used for this thesis is defined 
for the main-shock as the difference in displacement from its initial displacement (due to the 
gravity loads) and the final displacement after the ground motion record. The residual 
displacement for the aftershocks is defined differently than the main-shock, because the initial 
displacement corresponds to the point of the final displacement from the main-shock ground 
motion record. The graphical representation of one the record (LMSR_C) for the longitudinal 
direction is provided in Figure 18 and Figure 19, main-shock accelerograph and aftershock 
accelerograph, respectively. 
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Figure 18 – Longitudinal accelerograph – MS  
 
 
Figure 19 – Longitudinal accelerograph – AS   
 
PSDM Formulation 
 After analyzing the time history analyses and compiling a database of EDPs and IMs, a 
performance-based approached is utilize to evaluate the results of the analysis and formulate a 
PSDM relating the IMs and the EDPs.  Previous studies have used the power law (Equation 3) to 
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fit the scatter data from each of the PSDM and show a general trend (Cronin 2009). The assumed 
(normal) simple form for the median EDP relationship in log space is shown in equation 4, 
(Mackie 2005).    
 
bIMaEDP       (3) 
  
)ln()ˆln( IMBAPDE       (4) 
 
 A three dimensional plot was constructed to illustrate the relationship between capacity in 
terms of post-main-shock response, and post-aftershock response conditioned on both IMs. An 
addition to equation 3 then provides the best-fit plane describing the response (equation 5) 
(Mackie 2005). Where A, Bfs and BAS are the least squares estimates coefficients.  
 
 )()ln()ˆln( ASASFSFS IMBIMBAPDE      (5) 
 
After determining the statistic trends such as the lognormal standard deviation of the 
model error (equation 6) (Mackie 2005) for each of the PSDM, a comparison between capacity 
for the three EDPs selected in this thesis can be evaluated.   
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Where σ, is the standard deviation error also termed “dispersion”, which is obtained by 
the square root of the sum of the squares of the distances from the actual EDP to the plane 
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(EDPi-EDP). EDPi is the median or the mean of the natural log of the n data points; n is the 
number of points in the plane and df is the degrees of freedom in terms of the number of 
parameters being estimated in the model. For this thesis the PSDMs have three parameters the 
main-shock IM, the aftershock IM, and the capacity ratio under consideration.    
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CHAPTER FOUR: FINDINGS  
 
The initial step in the process of generating PSDMs was to compare the results of the data 
with previous PSDM results to check the correct data was obtained from the models (Mackie 
2005). It is important to point out that previous studies generated PSDMs for maxima EDP such 
as drift ratio. This thesis generates PSDMs with relation to capacity EDPs such as strain energy 
ratio, stiffness ratio, and ultimate global load ratio.  When looking at the two dimensional 
demand model force energy ratio conditioned on the main-shock IM (Figure 20 and Figure 21), 
the demand model exhibits the same characteristic behavior as the “cloud” PSDM approach 
results obtained by Mackie (2005), both in linear and log space. It also demonstrates the power 
law relationship behavior between IM-EDP.   
 
 
Figure 20– Type 1A Sample PSDM IMMS-Strain Energy Ratio in linear space  
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Figure 21 - Type 1A Sample PSDM IMMS-Energy Ratio log space 
  
Reduction in Capacity   
PSDMs were generated from the EDPs describing the capacity of the bridges in terms of 
the ratio of the main-shock state to the virgin state, or the virgin state to the main-shock 
combined with the aftershock state. Figure 22, below, and Figure 45, in appendix B, show an 
interesting relationship obtained from the reduction in strain energy ratio from the main-shock 
and the aftershock for bridge Type 1A and Type 2A, respectively. Comparing the strain energy 
ratios for the main-shock with the strain energy ratios for the aftershock (Figure 22 and Figure 
45), it can be discovered that the strain energy ratio of the aftershock does in fact play an 
important role in the analysis. The points above the black positive slope line indicate the 
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aftershock contribution to the reduction in strain energy capacity. If the aftershock and the main-
shock strain energy ratios were not affected differently from each other, all the points will 
coincide with the black line with positive slope shown in Figure 22. It is also important to notice 
there are a few points that fall under the line showing the aftershock record actually helping the 
strain energy ratio due to geometric contributions. 
 
 
Figure 22 - Energy ratio for main-shock and aftershock 
 
For each of the ground motions the values reported by BCL for the post-earthquake were 
divided by the orthogonal directions of the analysis: longitudinal, vertical, and transversal. 
Figure 23 and Figure 24 show the PSDMs for bridge Type 1A in the longitudinal direction and 
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transversal direction for the strain energy ratio condition on the main-shock IM_M, and the 
main-shocked followed by the aftershock IM_A. The vertical orthogonal direction will not be 
analyzed in this thesis. The plane intercepting the set of data points for Figure 23 provides a 
dispersion value of 0.68. This is an acceptable value for a PSDM trying to correlate reduction in 
capacity.  
 
 
Figure 23 - Post-Aftershock strain energy ratio response conditioned on IMMS and IMAS - Longitudinal 
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Figure 24 - Post-Aftershock strain energy ratio response conditioned on IMMS and IMAS – Transversal 
 
The figures for the ultimate global force ratio (Figure 38 and Figure 39) and stiffness 
ratio (Figure 40 and Figure 41) can be found in appendix B for the longitudinal and transversal 
direction. Table 5 summarizes the coefficients and exponents, as well as the scatter data standard 
deviation for energy strain ratio, ultimate global load ratio, and stiffness ratio for the PSDMs.  
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Table 5 –Bridge Type 1A Trend Fit Data Longitudinal and Transversal  
 
Type 1A Bridge - Longitudinal  Type 1A Bridge - Transversal 
  Energy 
Ratio 
Ultimate 
Global 
Force 
Ratio 
Stiffness 
Ratio 
  Energy 
Ratio 
Ultimate 
Global 
Force 
Ratio 
Stiffness 
Ratio 
A  -7.67 -10.03 -5.66  A -9.60 -9.56 -7.86 
BMS 1.50 1.97 1.32 BMS 1.89 1.7 1.77 
BAS 0.28 0.19 0.11 BAS 0.23 0.28 0.03 
                
σ 0.68 1.30 1.02 σ 1.05 1.12 1.46 
  
 The results in Table 5 show the importance for the variables in the PSDM. The 
coefficient, BMS, correspondent to the main-shock IM is very high for both longitudinal and 
transversal post-earthquake strain energy ratios. The high fit coefficient values (1.50 and 1.89) 
indicate the predominant importance of the main-shock IM in the reduction in strain energy 
capacity. However it is important to notice the aftershock coefficient, BAS has some significance 
to the contribution of reduction in capacity in strain energy (0.28 and 0.23). The dispersion 
values, σ, for the global force ratio and stiffness ratio are significantly higher than those of the 
force energy ratio indicating more error and less correlation in the PSDMs.    
  
Geometric Mean and Square Root of the Sums of the Squares  
It is a conventional procedure to look at the response of an earthquake in terms of 
geometric mean (TGM) and square root of the sums of the squares (TSRSS) of the two orthogonal 
lateral components. This is done to look at the overall response of the earthquake and not at the 
directional response (the longitudinal and transversal) results. Figure 25, Figure 26, and Figure 
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27 show the geometric mean for the three dimensional plots for the EDPs condition on the main-
shocks IMs and aftershocks IMs for bridge Type 1A. Table 6 summarizes the coefficients and 
exponents, as well as the scatter data standard deviation for energy strain, ultimate global load, 
and stiffness ratio for the Geometric PSDMs shown in the referenced figures. Figure 25 through 
Figure 27 have a sample of 120 data points. The 120 points came from six different bins 
(LMSR_C, LMSR_D, SMLR_C, SMLR_D, SMSR_C, and SMSR_D) corresponding to each of 
the 20 records in each bin. The dispersion values for the energy ratio are still within an 
acceptable range (0.72). The global force ratio and stiffness ratio dispersion values are 
significantly higher than the strain energy ratio for the bridge Type 1A. The dispersion value of 
the strain energy ratio as expected falls in between the ratio obtained from the longitudinal and 
transversal PSDM. The geometric PSDMs for bridge Type 2 are shown in appendix B (Figure 
46, Figure 47, and Figure 48). The results of the geometric results are summarized in Table 6.  
 
Table 6 – Bridge Type 1A and 2A Trend Fit Data – GM 
 
Bridge Type 1A Bridge Type 2A 
 
Energy 
Ratio (AS) 
Global 
Force 
Ratio (AS) 
Stiffness 
Ratio 
Variable  
Energy 
Ratio (AS) 
Global 
Force 
Ratio (AS) 
Stiffness 
Ratio 
Variable 
b1 -8.95 -10.00 -6.88 Constant b1 -7.82 -7.76 -6.73 Constant 
b2 1.80 1.85 1.56 IM(MS) b2 1.26 1.16 1.30 IM(MS) 
b3 0.25 0.30 0.13 IM(AS) b3 0.44 0.40 0.27 IM(AS) 
                
σ 0.72 1.21 1.00   σ 0.85 0.89 0.78  
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Figure 25 – Bridge Type 1A Aftershock strain energy ratio response conditioned on IMMS and IMAS – GM 
 
 
 
Figure 26 – Bridge Type 1A Aftershock force ratio response conditioned on IMMS and IMAS – GM 
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Figure 27 – Bridge Type 1A Aftershock stiffness ratio response conditioned on IMMS and IMAS – GM 
   
Figure 28, Figure 29, and Figure 30 illustrate the PSDMs for the GM/SRSS three 
dimensional plots for the EDPs condition on the main-shocks IMs and aftershocks IMs for bridge 
Type 1A. The GM/SRSS acronym stands for main-shock IM and aftershock IM fitted to a 
geometric mean and the EDPs to a square root of the sum of the squares. Table 7 summarizes the 
coefficients and exponents, as well as the scatter data standard deviation for strain energy, 
ultimate global load, and stiffness ratio for the PSDMs shown in Figure 28, Figure 29 and Figure 
30.  Figures 28 through 30 have a sample of 120 date points as well. It is important to notice that 
the second set of PSDMs (GM/SRSS) provide a better fit to the data than the first PSDMs (GM) 
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presented. The dispersion values for the GM/SRSS PSDM were the best values obtained from all 
the different PSDMS presented up to this point. The correlation values in the PSMD model 
indicate the main-shock IM to be the predominant coefficient in the model with some influence 
from the aftershock IM. The stiffness ratio, Figure 30, provides the second best dispersion value 
followed by the global force ratio, Figure 29.  
 
 
Figure 28 - Bridge Type 1A Aftershock energy ratio response conditioned on IMMS and IMAS – GM/SRSS 
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Figure 29 - Bridge Type 1A Aftershock force ratio response conditioned on IMMS and IMAS – GM/SRSS 
 
 
 
Figure 30 – Bridge Type 1A Aftershock stiffness ratio response conditioned on IMMS and IMAS – GM/SRSS 
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Table 7 - Bridge Type 1A Trend Fit Data – GM/SRSS 
 
Bridge Type 1A Bridge Type 2A 
  
Energy 
Ratio (AS) 
Force 
Ratio 
(AS) 
Stiffness 
Ratio 
Variable   
Energy 
Ratio (AS) 
Global 
Force 
Ratio (AS) 
Stiffness 
Ratio 
Variable 
b1 -7.88 -9.69 -5.79 Constant b1 -6.77 -7.32 -4.75 Constant 
b2 1.65 1.89 1.37 IM(MS) b2 1.16 1.14 0.98 IM(MS) 
b3 0.25 0.27 0.13 IM(AS) b3 0.37 0.36 0.23 IM(AS) 
          
σ 0.66 1.26 0.91  σ 0.80 0.85 0.51  
 
 
In the case of bridge Type 2A, Figure 31, Figure 32, and Figure 33 provides a better 
dispersion value for the stiffness ratio, 0.51, followed by strain energy ratio, 0.79, and the force 
ratio, 0.85. It is important to point out the PSDMs for bridge Type 2A provide better dispersion 
values than the first bridge. It is also very important to point out the coefficients of the model, 
IMMS and IMAS, are significantly lower for the main shock and higher for the aftershocks. This 
indicates that at higher ground motion records the aftershocks reduce the capacity of the 
structures significantly more than at lower ground motion records. The aftershocks ground 
motion records for bridge Type 2A are significantly more important than in the first bridge, this 
trend is believed to be observed due to the fact that the main-shocks and aftershocks for the 
second bridge were factored by 2.    
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Figure 31 – Bridge Type 2A Post-aftershock energy ratio response conditioned on IMMS and IMAS – 
GM/SRSS 
 
 
Figure 32 – Bridge Type 2A Post-aftershock force ratio response conditioned on IMMS and IMAS – GM/SRSS 
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Figure 33 - Type 2A Post-aftershock stiffness ratio response conditioned on IMMS and IMAS – GM/SRSS 
 
Residual Displacement 
The residual displacement is a measure that can be used to describe the reduction in 
capacity due to the geometrical nonlinearities. The accumulation of displacement in a structure 
can modify the demands experienced by a structure due to the P-Δ effect. Some accumulation of 
geometrical nonlinearities is seen in most structures that experience significant seismic forces 
(main-shock ground motion) that are strong enough to make the material go pass the elastic 
regime. However, there are two different schools of thought with regards to the effects of the 
aftershock ground motions. One school of thought believes aftershock ground motions actually 
help the structure re-center from initial residual displacement experienced during the main-
shock. The second school of thought believes the aftershock in fact contributes to further 
degradation and therefore additional residual displacement of the structure; incrementing the P-Δ 
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effect on the structure and therefore the geometrical and material nonlinearities contributions to 
the degradation of the structure. For the two bridges, Type 1A (Figure 44) and Type 2A (Figure 
34), analyzed in this thesis the computed residual displacement for the main-shocks and 
aftershocks are plotted in the same figure for comparison.  
 
 
Figure 34 – Type 2A Residual displacements for MS and AS  
 
Figure 34 shows a variety of residual displacement; for the most part it shows a trend of 
the residual displacement for the main-shocks being larger than that of the aftershocks. However, 
a definitive trend based on Figure 34 is hard to conclude. It is important to point out the residual 
displacements, shown in Figure 34, do not show the cyclic history or the degradation of the 
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material due to fatigue. PSDMs are shown in Figure 35 and Figure 36 to find the reduction of 
capacity in terms of strain energy ratio (GM/SRSS) and ultimate global force ratio (GM/SRSS) 
condition on residual displacement and the main-shock IM. The geometric PSDMs for all 
variables in geometric mean are shown in appendix B (Figure 42 and Figure 43). Table 8 
summarizes the coefficients and exponents, as well as the scatter data standard deviation for the 
strain energy ratio and ultimate global load PSDMs shown in Figure 35 and Figure 36. The 
dispersion value of the EDPs condition on the residual displacement and the main-shock IM is 
0.6659 for the strain energy ratio. This value indicates that the main-shock IM and the residual 
displacement do have some importance. The ultimate global force ratio for bridge Type 2A is of 
particular interest for the residual PSDM as the dispersion value is lower than obtained in any of 
the previous global force PSDMs, indicating that perhaps the ultimate global force has stronger 
correlation to residual displacement.    
 
Table 8- Bridge Type 1A Trend Fit Data – GM/SRSS 
 
Bridge Type 1A Bridge Type 2A 
  
Energy 
Ratio (MS) 
Global 
Force Ratio 
(MS) 
Variable   
Energy 
Ratio (MS) 
Global 
Force Ratio 
(MS) 
Variable 
b1 -3.65 -2.96 Constant b1 -1.74 -2.40 Constant 
b2 1.19 1.049 IM(MS) b2 0.56 0.53 IM(MS) 
b3 0.30 0.48 Ures MS b3 0.31 0.30 Ures MS 
        
σ 0.69 1.04  σ 0.81 0.77  
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Figure 35 – Type 1A Post-main-shock strain energy response conditioned on residual displacement and 
IMPGV (MS) – SRSS/GM 
 
 
 
Figure 36 – Type 1A Post-main-shock force response conditioned on residual displacement and IMPGV(MS) – 
SRSS/GM 
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Cantilever Column Analysis  
 A single cantilever column was analyzed by first statically pushing it over with no ground 
motion records to obtain the initial residual displacement of the virgin state. The same column 
was then pushover with one singular main-shock level of intensity record to obtain the residual 
displacement of the structure after a ground motion record. The residual drift ratio is plotted with 
the reduction in strain energy ratio in Figure 37 for the residual drift ratio obtained from the 
pushover analysis of the cantilever column from its virgin state and after the main shock ground 
motion records.  
 
Figure 37 – Residual displacement vs. reduction in capacity for virgin state and main-shock 
59 
 
Figure 37 shows the degradation in terms of strain energy capacity of the column to be 
primarily related to cyclic behavior, which corroborates to the dispersion values of the PSDMs 
shown in Figure 35 and Figure 36. The residual displacement of the virgin structure, represented 
by the green line in figure 37, is not significant enough when compared to the residual 
displacement of cyclic behavior, represented by the blue dots in figure 37, to affect the ability to 
predict reduction in strain energy capacity.  
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CHAPTER FIVE: CONCLUSION 
 
This thesis uses a probabilistic seismic demand model to quantify and compare the 
reduction in capacity of a bridge for main-shocks as compared to aftershocks and the effects and 
importance of both. The probabilistic demand models are created and represented in 3-D surface 
plots that compare the reduction in capacity ratios, in term of strain energy, stiffness and ultimate 
global force ratios conditioned on the peak ground velocity intensity measure of the main-shock 
and the aftershock. The dispersion values obtained from the PSDMs are within an acceptable 
range, varying from 0.6 through 1.1. Variables describing global capacity are usually not as well 
behaved as maxima variables such as drift ratio. The strain energy ratios are the corresponding 
values to the lower end of the dispersion range 0.6. The ultimate global force dispersion values 
are correspondent to the range closer to 1.1. The significant spread in dispersion values indicates 
that the choice of EDP will significantly change the ability to correlate reduction in capacity with 
intensity measures.  
When looking at the particular case of strain energy (GM/SRSS), which was the best 
PSDMs in terms of dispersion value (0.66) for bridge Type 1A, the coefficient value for the 
main-shock IM, 1.64, is significantly higher than that of the aftershock IM. However, the 
coefficient for the aftershock IM, for bridge Type 1A 0.25 and 0.31 for bridge Type 2A, is still 
playing a role within the PSDM that cannot be ignored. The coefficients for the aftershocks in all 
three PSDMs show that the aftershock does in fact reduce the capacity of the bridge and plays an 
important role when compared to the main-shock. For bridge Type 2A the PSDM for stiffness 
has the lowest dispersion value, 0.51. The coefficients for this particular PSDM indicate the 
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aftershock IM, 0.23, to be of significant importance while reducing the importance of the main-
shock coefficient to 0.98. The ultimate global force ratio was the least well behaved PSDM 
obtained for both bridges. 
It is important to notice that both parameters showing low dispersion values, strain 
energy and stiffness, are capacity EDPs obtained from post-earthquake pushover curves 
describing force and displacement at the same time. Figure 48 and Figure 49 show the strain and 
stiffness ratios plotted in the same graph for comparison of results between the ratios of both 
bridges. Figure 49 for the strain energy ratio shows more reduction strain energy value ratios 
towards bridge Type 1A; explaining why the dispersion value for strain energy is lower for 
bridge type 1A. Figure 50 shows more reduction stiffness value ratios towards bridge Type 2A 
explaining why the results of bridge Type 2A has a lower dispersion value.    
The PSDM for the main-shock strain energy ratio conditioned on the residual 
displacement and the main-shock IM also had one of the lowest dispersion values, 0.67. 
However, the relation does not provide enough correlation to indicate that residual displacement 
is the missing variable that could improve the understanding in reduction in capacity. Study of a 
simple cantilever column provides further prove that initial residual displacement does not 
implicate further reduction in capacity.  
Ultimately, the ability to develop acceptable PSDMs for the reduction in capacity of 
bridges following aftershocks provides the first step in developing damage models that could be 
generalized for bridges of the same type that could predict the reduction in capacity due to IMs. 
It is important to point out that more research is needed to figure out the contribution of other 
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variables in the reduction of capacity. The definition of capacity and the understanding of what 
contributes to the reduction in capacity of a structure is what ultimately will improve the PSDMs 
between reduction in capacity and main-shock and aftershocks IMs. The EDPs with the greatest 
correlation to the main-shock and aftershock IMs for this thesis suggest that combined force-
displacement EDPs such as strain energy and stiffness provide an acceptable definition for 
capacity. 
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APPENDIX A – 
 AFTERSHOCK RECORDS 
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Table 9 – LMSR Soil C  Aftershock ground motion record  
 
Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
164 0050 Imperial Valley-06 1979 1015 2316 Cerro Prieto 240 6.53 21.72 C 0.1760 14.04 
190 0050 Imperial Valley-06 1979 1015 2316 Superstition Mtn Camera 94 6.53 45.71 C 0.1598 6.70 
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Table 10 – LMSR Soil D Aftershock ground motion bin record   
Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based on 
Vs30 
PGA (g) 
PGV 
(cm/sec) 
158 0050 Imperial Valley-06 1979 1015 2316 Aeropuerto Mexicali 243 6.53 0.00 D 0.3438 30.39 
159 0050 Imperial Valley-06 1979 1015 2316 Agrarias 245 6.53 0.64 D 0.2903 33.85 
160 0050 Imperial Valley-06 1979 1015 2316 Bonds Corner 210 6.53 2.68 D 0.6861 53.86 
161 0050 Imperial Valley-06 1979 1015 2316 Brawley Airport 216 6.53 20.90 D 0.1933 39.86 
162 0050 Imperial Valley-06 1979 1015 2316 Calexico Fire Station 209 6.53 12.08 D 0.2329 18.52 
163 0050 Imperial Valley-06 1979 1015 2316 Calipatria Fire Station 217 6.53 43.16 D 0.1033 13.28 
165 0050 Imperial Valley-06 1979 1015 2316 Chihuahua 247 6.53 14.58 D 0.2703 29.27 
166 0050 Imperial Valley-06 1979 1015 2316 Coachella Canal #4 219 6.53 75.27 D 0.1220 12.64 
167 0050 Imperial Valley-06 1979 1015 2316 Compuertas 248 6.53 20.05 D 0.1597 11.51 
169 0050 Imperial Valley-06 1979 1015 2316 Delta 241 6.53 31.52 D 0.2849 29.75 
170 0050 Imperial Valley-06 1979 1015 2316 EC County Center FF 151 6.53 8.88 D 0.2165 50.98 
171 0050 Imperial Valley-06 1979 1015 2316 EC Meloland Overpass FF 160 6.53 0.00 D 0.3092 79.79 
172 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #1 212 6.53 21.68 D 0.1418 12.90 
173 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #10 103 6.53 7.72 D 0.2069 47.07 
174 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #11 214 6.53 14.10 D 0.3746 38.41 
175 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #12 115 6.53 19.61 D 0.1382 18.89 
176 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #13 215 6.53 23.67 D 0.1212 15.69 
179 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #4 119 6.53 7.04 D 0.3745 73.86 
180 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #5 118 6.53 3.98 D 0.4481 71.18 
181 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #6 230 6.53 1.32 D 0.4273 83.49 
182 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #7 200 6.53 1.53 D 0.4200 79.15 
183 0050 Imperial Valley-06 1979 1015 2316 El Centro Array #8 120 6.53 5.33 D 0.5379 56.80 
184 0050 Imperial Valley-06 1979 1015 2316 El Centro Differential Array 232 6.53 6.64 D 0.4310 55.32 
185 0050 Imperial Valley-06 1979 1015 2316 Holtville Post Office 211 6.53 7.65 D 0.2476 47.65 
186 0050 Imperial Valley-06 1979 1015 2316 Niland Fire Station 263 6.53 58.01 D 0.0855 9.46 
187 0050 Imperial Valley-06 1979 1015 2316 Parachute Test Site 207 6.53 30.13 D 0.1661 17.64 
188 0050 Imperial Valley-06 1979 1015 2316 Plaster City 208 6.53 38.58 D 0.0501 4.35 
189 0050 Imperial Valley-06 1979 1015 2316 SAHOP Casa Flores 246 6.53 11.26 D 0.3571 22.42 
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Table 11 – SMLR soil C Aftershock ground motion bin   
 
Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
299 0069 Irpinia, Italy-02 1980 1123 1935 Brienza 616 6.20 49.87 C 0.0392 3.45 
304 0069 Irpinia, Italy-02 1980 1123 1935 Tricarico 1095 6.20 73.29 C 0.0276 2.71 
217 0054 Livermore-02 1980 0127 0233 APEEL 3E Hayward CSUH 469 5.42 32.99 C 0.0393 3.16 
220 0054 Livermore-02 1980 0127 0233 Fremont - Mission San Jose 444 5.42 31.46 C 0.0378 3.96 
1675 0149 Northridge-04 1994 0117 2333 Anaverde Valley - City R 350 5.93 54.71 C 0.0086 0.44 
1678 0149 Northridge-04 1994 0117 2333 LA - City Terrace 353 5.93 58.11 C 0.0318 1.30 
1679 0149 Northridge-04 1994 0117 2333 LA - Temple & Hope 357 5.93 52.10 C 0.0127 0.79 
1680 0149 Northridge-04 1994 0117 2333 LA - Univ. Hospital 354 5.93 55.52 C 0.0209 0.92 
1682 0150 Northridge-05 1994 0117 0043 Anaverde Valley - City R 350 5.13 52.33 C 0.0127 0.63 
1687 0150 Northridge-05 1994 0117 0043 LA - City Terrace 353 5.13 61.46 C 0.0097 0.43 
1689 0150 Northridge-05 1994 0117 0043 Pacoima Kagel Canyon 316 5.13 33.03 C 0.0383 2.39 
1692 0151 Northridge-06 1994 0320 2120 Anaverde Valley - City R 350 5.28 48.16 C 0.0146 0.64 
 
67 
 
 
Table 12 – SMLR soil D Aftershock ground motion record  
 
Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
548 0103 Chalfant Valley-02 1986 0721 1442 Benton 430 6.19 30.77 D 0.1926 14.53 
551 0103 Chalfant Valley-02 1986 0721 1442 Convict Creek 429 6.19 35.57 D 0.0635 3.79 
555 0103 Chalfant Valley-02 1986 0721 1442 
Mammoth Lakes Sheriff 
Subst. 
440 6.19 41.41 D 0.0499 2.94 
556 0103 Chalfant Valley-02 1986 0721 1442 McGee Creek - Surface 193 6.19 32.86 D 0.0760 2.35 
557 0103 Chalfant Valley-02 1986 0721 1442 Tinemaha Res. Free Field 431 6.19 57.64 D 0.0387 4.61 
131 0043 Friuli, Italy-02 1976 0915 0315 Codroipo 251 5.91 46.08 D 0.0233 2.77 
196 0051 Imperial Valley-07 1979 1015 2319 Delta 241 5.01 52.08 D 0.0822 3.87 
298 0069 Irpinia, Italy-02 1980 1123 1935 Bovino 615 6.20 46.92 D 0.0243 2.24 
301 0069 Irpinia, Italy-02 1980 1123 1935 Mercato San Severino 907 6.20 48.31 D 0.0424 3.04 
246 0061 Mammoth Lakes-06 1980 0527 1451 Benton 430 5.94 48.55 D 0.1406 8.44 
1677 0149 Northridge-04 1994 0117 2333 Elizabeth Lake 349 5.93 48.03 D 0.0176 1.21 
1684 0150 Northridge-05 1994 0117 0043 Elizabeth Lake 349 5.13 44.18 D 0.0168 0.91 
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Table 13 – SMSR soil C Aftershock ground motion record  
 
Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
370 0077 Coalinga-02 1983 0509 0249 ALP (temp) 5 5.09 29.08 C 0.0302 2.12 
371 0077 Coalinga-02 1983 0509 0249 Anticline Ridge - Palmer Ave 413 5.09 12.66 C 0.2511 10.47 
372 0077 Coalinga-02 1983 0509 0249 Anticline Ridge Free-Field 177 5.09 12.47 C 0.5793 19.09 
373 0077 Coalinga-02 1983 0509 0249 Anticline Ridge Pad 178 5.09 12.47 C 0.4599 20.39 
377 0077 Coalinga-02 1983 0509 0249 LLN (temp) 6 5.09 13.03 C 0.1077 5.52 
379 0077 Coalinga-02 1983 0509 0249 Oil City 174 5.09 13.32 C 0.2774 9.46 
380 0077 Coalinga-02 1983 0509 0249 Oil Fields - Skunk Hollow 414 5.09 12.66 C 0.3195 11.10 
381 0077 Coalinga-02 1983 0509 0249 Oil Fields Fire Station 179 5.09 12.08 C 0.2118 6.76 
382 0077 Coalinga-02 1983 0509 0249 Palmer Ave 182 5.09 12.70 C 0.2313 8.62 
384 0077 Coalinga-02 1983 0509 0249 SGT (temp) 8 5.09 14.11 C 0.2081 6.62 
386 0077 Coalinga-02 1983 0509 0249 Skunk Hollow 175 5.09 12.44 C 0.1402 5.47 
387 0077 Coalinga-02 1983 0509 0249 Sulphur Baths (temp) 428 5.09 20.37 C 0.0065 0.43 
389 0077 Coalinga-02 1983 0509 0249 VEW (temp) 11 5.09 12.69 C 0.1325 8.22 
393 0078 Coalinga-03 1983 0611 0309 Sulphur Baths (temp) 428 5.38 15.94 C 0.0392 4.64 
394 0079 Coalinga-04 1983 0709 0740 Anticline Ridge Free-Field 177 5.18 11.01 C 0.3283 12.57 
395 0079 Coalinga-04 1983 0709 0740 Anticline Ridge Pad 178 5.18 11.01 C 0.3310 12.48 
398 0079 Coalinga-04 1983 0709 0740 Oil City 174 5.18 9.99 C 0.3774 12.99 
399 0079 Coalinga-04 1983 0709 0740 Oil Fields Fire Station - FF 180 5.18 11.86 C 0.0901 3.53 
400 0079 Coalinga-04 1983 0709 0740 Oil Fields Fire Station - Pad 181 5.18 11.86 C 0.1056 3.69 
401 0079 Coalinga-04 1983 0709 0740 Palmer Ave 182 5.18 14.03 C 0.1605 4.72 
402 0079 Coalinga-04 1983 0709 0740 Skunk Hollow 175 5.18 12.62 C 0.1625 6.22 
403 0079 Coalinga-04 1983 0709 0740 Sulphur Baths (temp) 428 5.18 17.04 C 0.0593 1.88 
404 0079 Coalinga-04 1983 0709 0740 Transmitter Hill 183 5.18 10.35 C 0.1758 9.44 
407 0080 Coalinga-05 1983 0722 0239 Oil City 174 5.77 8.71 C 0.7241 34.17 
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Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
408 0080 Coalinga-05 1983 0722 0239 Oil Fields Fire Station - FF 180 5.77 11.31 C 0.2033 14.40 
409 0080 Coalinga-05 1983 0722 0239 Oil Fields Fire Station - Pad 181 5.77 11.31 C 0.2083 13.92 
410 0080 Coalinga-05 1983 0722 0239 Palmer Ave 182 5.77 13.33 C 0.3034 18.24 
413 0080 Coalinga-05 1983 0722 0239 Skunk Hollow 175 5.77 12.43 C 0.3040 17.88 
414 0080 Coalinga-05 1983 0722 0239 Sulphur Baths (temp) 428 5.77 15.30 C 0.1297 5.97 
415 0080 Coalinga-05 1983 0722 0239 Transmitter Hill 183 5.77 9.52 C 0.9482 40.61 
417 0081 Coalinga-06 1983 0722 0343 Sulphur Baths (temp) 428 4.89 13.77 C 0.0395 1.50 
419 0082 Coalinga-07 1983 0725 2231 Sulphur Baths (temp) 428 5.21 14.66 C 0.2053 10.60 
424 0085 Coalinga-08 1983 0909 0916 Sulphur Baths (temp) 428 5.23 19.90 C 0.0159 0.66 
132 0043 Friuli, Italy-02 1976 0915 0315 Forgaria Cornino 255 5.91 17.03 C 0.2289 9.76 
133 0043 Friuli, Italy-02 1976 0915 0315 San Rocco 256 5.91 16.77 C 0.1045 6.44 
501 0098 Hollister-04 1986 0126 1920 SAGO South - Surface 420 5.45 14.31 C 0.0643 7.35 
300 0069 Irpinia, Italy-02 1980 1123 1935 Calitri 621 6.20 10.83 C 0.1787 24.41 
302 0069 Irpinia, Italy-02 1980 1123 1935 Rionero In Vulture 927 6.20 28.08 C 0.1062 11.56 
222 0054 Livermore-02 1980 0127 0233 Livermore - Morgan Terr Park 456 5.42 17.80 C 0.2279 11.47 
235 0057 Mammoth Lakes-02 1980 0525 1649 Mammoth Lakes H. S. 436 5.69 13.16 C 0.4143 23.16 
258 0063 Mammoth Lakes-08 1980 0531 1516 Convict Lakes (CON) 42 4.80 8.50 C 0.2294 4.95 
263 0063 Mammoth Lakes-08 1980 0531 1516 USC Convict Lakes 40 4.80 8.30 C 0.1431 4.87 
270 0065 Mammoth Lakes-09 1980 0611 0441 Convict Lakes (CON) 42 4.85 9.43 C 0.1902 2.26 
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Table 14 – SMSR soil D Aftershock ground motion bin record  
 
Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
549 0103 Chalfant Valley-02 1986 0721 1442 Bishop - LADWP South St 432 6.19 21.30 D 0.2058 19.32 
550 0103 Chalfant Valley-02 1986 0721 1442 Bishop - Paradise Lodge 437 6.19 18.25 D 0.1472 8.96 
552 0103 Chalfant Valley-02 1986 0721 1442 Lake Crowley - Shehorn Res. 439 6.19 27.04 D 0.1230 5.86 
553 0103 Chalfant Valley-02 1986 0721 1442 Long Valley Dam (Downst) 433 6.19 24.26 D 0.0747 5.96 
554 0103 Chalfant Valley-02 1986 0721 1442 Long Valley Dam (L Abut) 434 6.19 24.26 D 0.0829 7.24 
558 0103 Chalfant Valley-02 1986 0721 1442 Zack Brothers Ranch 438 6.19 13.24 D 0.4246 41.39 
374 0077 Coalinga-02 1983 0509 0249 Burnett Construction 176 5.09 17.76 D 0.0874 3.87 
375 0077 Coalinga-02 1983 0509 0249 
Coalinga-14th & Elm (Old 
CHP) 
412 5.09 16.71 D 0.1180 5.27 
376 0077 Coalinga-02 1983 0509 0249 Harris Ranch - Hdqtrs (temp) 415 5.09 17.77 D 0.1183 4.90 
383 0077 Coalinga-02 1983 0509 0249 Pleasant Valley P.P. - yard 156 5.09 14.55 D 0.1659 8.35 
385 0077 Coalinga-02 1983 0509 0249 SUB (temp) 9 5.09 14.47 D 0.1599 8.33 
388 0077 Coalinga-02 1983 0509 0249 TRA (temp) 10 5.09 14.99 D 0.1035 7.22 
391 0078 Coalinga-03 1983 0611 0309 Burnett Construction 176 5.38 15.75 D 0.1732 9.37 
396 0079 Coalinga-04 1983 0709 0740 Burnett Construction 176 5.18 15.94 D 0.1351 6.96 
397 0079 Coalinga-04 1983 0709 0740 
Coalinga-14th & Elm (Old 
CHP) 
412 5.18 14.92 D 0.1743 6.56 
405 0080 Coalinga-05 1983 0722 0239 Burnett Construction 176 5.77 14.42 D 0.2972 14.97 
406 0080 Coalinga-05 1983 0722 0239 
Coalinga-14th & Elm (Old 
CHP) 
412 5.77 13.43 D 0.4543 16.92 
411 0080 Coalinga-05 1983 0722 0239 Pleasant Valley P.P. - FF 155 5.77 17.79 D 0.2741 20.12 
412 0080 Coalinga-05 1983 0722 0239 Pleasant Valley P.P. - yard 156 5.77 17.79 D 0.4267 24.21 
416 0081 Coalinga-06 1983 0722 0343 
Coalinga-14th & Elm (Old 
CHP) 
412 4.89 12.18 D 0.1539 6.40 
418 0082 Coalinga-07 1983 0725 2231 
Coalinga-14th & Elm (Old 
CHP) 
412 5.21 12.74 D 0.5813 31.45 
423 0085 Coalinga-08 1983 0909 0916 
Coalinga-14th & Elm (Old 
CHP) 
412 5.23 15.13 D 0.0276 1.02 
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Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
130 0043 Friuli, Italy-02 1976 0915 0315 Buia 257 5.91 15.23 D 0.1088 11.37 
498 0098 Hollister-04 1986 0126 1920 Hollister Diff Array #1 188 5.45 17.14 D 0.1051 9.14 
499 0098 Hollister-04 1986 0126 1920 Hollister Diff Array #3 189 5.45 17.14 D 0.1022 8.33 
193 0051 Imperial Valley-07 1979 1015 2319 Bonds Corner 210 5.01 15.83 D 0.0928 5.73 
194 0051 Imperial Valley-07 1979 1015 2319 Brawley Airport 216 5.01 27.53 D 0.0496 2.31 
195 0051 Imperial Valley-07 1979 1015 2319 Calexico Fire Station 209 5.01 15.19 D 0.0901 6.49 
197 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #1 212 5.01 26.15 D 0.0555 2.54 
198 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #10 103 5.01 13.09 D 0.0502 2.91 
199 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #11 214 5.01 17.24 D 0.1470 9.95 
200 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #2 228 5.01 20.39 D 0.1073 6.84 
202 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #4 119 5.01 14.43 D 0.1969 9.57 
203 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #5 118 5.01 13.86 D 0.2374 10.24 
204 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #6 230 5.01 13.16 D 0.2566 15.88 
205 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #7 200 5.01 13.14 D 0.1612 8.71 
206 0051 Imperial Valley-07 1979 1015 2319 El Centro Array #8 120 5.01 13.66 D 0.1295 6.94 
207 0051 Imperial Valley-07 1979 1015 2319 El Centro Differential Array 232 5.01 13.33 D 0.1500 8.53 
208 0051 Imperial Valley-07 1979 1015 2319 Holtville Post Office 211 5.01 12.32 D 0.1772 11.37 
219 0054 Livermore-02 1980 0127 0233 Del Valle Dam (Toe) 157 5.42 19.51 D 0.0424 2.22 
221 0054 Livermore-02 1980 0127 0233 Livermore - Fagundas Ranch 455 5.42 14.88 D 0.2377 12.84 
223 0054 Livermore-02 1980 0127 0233 San Ramon - Eastman Kodak 447 5.42 22.02 D 0.1917 12.65 
224 0054 Livermore-02 1980 0127 0233 San Ramon Fire Station 446 5.42 26.06 D 0.0533 3.77 
233 0057 Mammoth Lakes-02 1980 0525 1649 Convict Creek 429 5.69 14.46 D 0.1669 12.30 
234 0057 Mammoth Lakes-02 1980 0525 1649 Long Valley Dam (Upr L Abut) 435 5.69 23.19 D 0.1369 4.38 
236 0058 Mammoth Lakes-03 1980 0525 1944 Convict Creek 429 5.91 17.05 D 0.2172 17.50 
237 0058 Mammoth Lakes-03 1980 0525 1944 Long Valley Dam (Downst) 433 5.91 19.71 D 0.0874 4.93 
238 0058 Mammoth Lakes-03 1980 0525 1944 Long Valley Dam (L Abut) 434 5.91 19.71 D 0.0911 6.01 
239 0058 Mammoth Lakes-03 1980 0525 1944 Long Valley Dam (Upr L Abut) 435 5.91 19.71 D 0.3289 12.25 
240 0059 Mammoth Lakes-04 1980 0525 2035 Convict Creek 429 5.70 5.71 D 0.4156 17.24 
241 0059 Mammoth Lakes-04 1980 0525 2035 Long Valley Dam (Downst) 433 5.70 15.04 D 0.0671 3.79 
242 0059 Mammoth Lakes-04 1980 0525 2035 Long Valley Dam (L Abut) 434 5.70 15.04 D 0.0790 5.29 
243 0059 Mammoth Lakes-04 1980 0525 2035 Long Valley Dam (Upr L Abut) 435 5.70 15.04 D 0.2403 11.75 
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Record 
Sequence 
Number 
EQID Earthquake Name YEAR MODY HRMN Station Name 
Station 
Sequence 
Number 
Earthquake 
Magnitude 
ClstD(Km) 
Preferred 
NEHRP 
Based 
on Vs30 
PGA (g) 
PGV 
(cm/sec) 
247 0061 Mammoth Lakes-06 1980 0527 1451 Bishop - Paradise Lodge 437 5.94 24.39 D 0.0956 5.25 
248 0061 Mammoth Lakes-06 1980 0527 1451 Convict Creek 429 5.94 18.46 D 0.3169 14.66 
249 0061 Mammoth Lakes-06 1980 0527 1451 Fish & Game (FIS) 43 5.94 18.45 D 0.4056 14.76 
250 0061 Mammoth Lakes-06 1980 0527 1451 Long Valley Dam (Upr L Abut) 435 5.94 19.83 D 0.6293 35.21 
251 0062 Mammoth Lakes-07 1980 0527 1901 Fish & Game (FIS) 43 4.73 7.23 D 0.1001 4.81 
252 0062 Mammoth Lakes-07 1980 0527 1901 Green Church 4 4.73 7.09 D 0.1562 11.97 
253 0062 Mammoth Lakes-07 1980 0527 1901 Long Valley Fire Sta 37 4.73 7.54 D 0.0286 1.88 
254 0062 Mammoth Lakes-07 1980 0527 1901 Mammoth Elem School 38 4.73 10.01 D 0.0628 3.74 
255 0062 Mammoth Lakes-07 1980 0527 1901 USC Cash Baugh Ranch 36 4.73 11.28 D 0.0352 2.68 
257 0063 Mammoth Lakes-08 1980 0531 1516 Cashbaugh (CBR) 41 4.80 11.65 D 0.1137 4.88 
259 0063 Mammoth Lakes-08 1980 0531 1516 Fish & Game (FIS) 43 4.80 7.50 D 0.1895 9.18 
261 0063 Mammoth Lakes-08 1980 0531 1516 Long Valley Fire Sta 37 4.80 7.31 D 0.0338 1.70 
262 0063 Mammoth Lakes-08 1980 0531 1516 Mammoth Elem School 38 4.80 10.36 D 0.0988 6.13 
264 0063 Mammoth Lakes-08 1980 0531 1516 USC McGee Creek Inn 39 4.80 6.09 D 0.3689 9.26 
1690 0150 Northridge-05 1994 0117 0043 
Sylmar - County Hospital 
Grounds 
1429 5.13 26.54 D 0.0703 4.45 
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Figure 38 – Type 1A Post-aftershock force ratio response conditioned on IMMS and IMAS – Longitudinal 
 
 
Figure 39 - Type 1A Post-aftershock force ratio response conditioned on IMMS and IMAS – Transversal  
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Figure 40 - Type 1A Post-aftershock stiffness ratio response conditioned on IMMS and IMAS – Longitudinal 
 
 
Figure 41 - Type 1A Post-aftershock stiffness ratio response conditioned on IMMS and IMAS – Transversal 
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Figure 42 – Type 1A Post-main-shock strain energy response conditioned on residual displacement and 
IMPGV(MS) –GM 
 
 
Figure 43 – Type 1A Post-main-shock force response conditioned on residual displacement and IMPGV(MS) – 
GM 
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Figure 44 – Bridge Type 1A residual displacements  
 
 
Figure 45 – Bridge Type 2A energy ratio main-shock Vs aftershock – SRSS  
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Figure 46 – Bridge Type 2A Post-aftershock energy ratio response conditioned on IMMS and IMAS – GM 
 
 
Figure 47 - Type 2A Post-aftershock force ratio response conditioned on IMMS and IMAS – GM 
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Figure 48 - Type 2A Post-aftershock stiffness ratio response conditioned on IMMS and IMAS – GM 
 
 
Figure 49 – Strain Energy Bridge Type1A and Bridge Type 2A 
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Figure 50 – Stiffness ratio Bridge Type 1A and Bridge Type2A  
81 
 
LIST OF REFERENCES 
 
AASHTO (2005). LRFD Bridge Design Specifications, 3rd ed., American Association of State 
Highway and Transportation Officials, Washington, DC.  
 
Baker, J. W., Cornell, C. A. (2006). Which Spectral Acceleration Are You Using? Earthquake 
Spectra, Volume 22, No. 2, pages 293–312 
 
Barker, R. M., Pucket, J.A (2007). Design of Highway bridges and LRFD approach, 2nd ed. 
Hoboken, New Jersey.  John and Wiley & Sons, Inc.  
 
Bazurro, P., Cornell, C.A., Menun, C., & Motahari M. (2004). Guidelines For Seismic Assessment Of 
Damaged Buildings. 13th World Conference on Earthquake Engineering. Vancouver, B.C, 
Canada. Paper 1708. 
 
Bazurro, P., Cornell, C.A., Menun C., Motahari, M., & Luco N. (2006). Advanced Seismic 
Assessment Guidelines. Pacific Earthquake Engineering Research (PEER) Center. Report 
Task 507. 
 
Brown, J., Kunnath, S. K. (2004), Low-Cycle Fatigue Failure of Reinforcing Steel Bars, ACI 
Materials Journal, Volume 101, pages 457-466. 
 
Caltrans (1999). Seismic Design Criteria 1.1. California Department of Transportation, Sacramento, 
California. 
 
Caltrans (2010). Seismic Design Criteria 1.6. California Department of Transportation, Sacramento, 
California. 
 
Chopra, A. K. (2007). Dynamics of Structures: Theory and Applications to Earthquake Engineering 
(3rd ed.). Upper Saddle River, NJ, USA: Pearson Prentice Hall. 
 
Chiorean, C. G. (2003). Application Of Pushover Analysis On Bridges. University Nova of Lisboa. 
Research Report No. POCTI/36019/99 
 
Cronin, J. K. (2009).  Response Sensitivity Of Highway Bridges To Random Multi-Component 
Earthquake Excitation. Department of Civil, Environmental, & Construction Engineering in 
the College of Engineering and Computer Science at the University of Central Florida 
 
El-Bahy, A. Kunnath, S. K., Stone, W. C. (1999). Cumulative Seismic Damage of Circular Bridge 
Columns: Benchmark and Low-Cycle Fatigue Tests. ACI Structural Journal Technical Paper, 
Volume, Volume 101, Pages 633-641. 
 
 
82 
 
FHWA. (2003). National Bridge Inventory. http://www.fhwa.dot.gov/bridge/nbi.htm. Web site. 
Federal Highway Administration 
 
Ketchum, M., Chang, V., & Shantz, T. (2004). Influence of Design Ground Motion Level on 
Highway Bridge Costs. Pacific Earthquake Engineering Research (PEER) Center . 
 
Luco, N. (2001). Probabilistic Seismic Demand Analysis, SMRF Connection Fractures, And Near-
Source Effects.  
 
Luco, N., Bazzurro, P., & Cornell, A (2004). Dynamic Versus Static Computation Of The Residual 
Capacity of a Mainshock-Damaged Building To Withstand An Aftershock. 13th World 
Conference on Earthquake Engineering. Vancouver, B.C, Canada. Paper 2405. 
 
Luco, N.,Cornell, C. A (2001). Structure-Specific Scalar Intensity Measures for Near-Source and 
Ordinary Earthquake Ground Motions. Earthquake Spectra, Dept. of Civil and 
Environmental Engineering, Stanford University, Stanford, CA 94305-4020 
 
Mackie, K. R., & Stojadinovic, B. (2001, December). Probabilistic Seismic Demand Model For 
California Highway Bridges. Journal of Bridge Engineering , 468-81.  
 
Mackie, K. R., & Stojadinovic, B. (2003). Seismic Demands for Performance Based Design of 
Bridges. PEER Report. 88  
 
Mackie, K. R., & Stojadinovic B. (2005). Fragility Basis for California Highway Overpass Bridge 
Seismic Decision Making. Pacific Earthquake Engineering Research (PEER) Center . PEER 
Report 2005/02. 
Mackie, K. R., & Stojadinovic, B. (2006). Seismic Vulnerability of Typical Multi-span California 
Highway Bridges. Proceedings of the Fifth National Seismic Conference on Bridges and 
Highways. San Francisco. 
 
Mackie, K. R., Wong, J.M, & Stojadinovic B. (2008). Post-Earthquake Bridge Repair Cost 
Evaluation Methodology. The Sixth National Seismic Conference on Bridges & Highways. 
Charleston, South Carolina. Poster No. P15 
 
Mckenna, F., and Fenves, G.L. (2000). An object oriented software design for parallel structural 
analysis. In the proceedings of the 2000 Structures Congress & Exposition: Advance 
Technology in Structural Engineering. May 8-10, 2000. Philadelphia, Pennsylvania.  
 
OpenSees. http//:opensees.berkeley.edu. Web Page.  
 
Pacific Earthquake Engineering (PEER) Strong Motion Catalog Beta Version (2011). 
http://peer.berkeley.edu/peer_ground_motion_database/site. Web Site  
 
83 
 
Ryu, H., Luco, N., Uma S.R., Liel, A.B. (2011). Developing fragilities for mainshock-damaged 
structures through incremental dynamic analysis. Proceedings of the Ninth Pacific 
Conference on Earthquake Engineering Building an Earthquake-Resilient Society 14-16 
April, 2011, Auckland, New Zealand  
 
Shome, N., and Cornell, C.A. (1999). Probabilistic seismic demand analysis of nonlinear structures. 
Reliability of Marine Structures Report No. RMS-35, Dept. of Civil and Envir.Engineering, 
Stanford University, California. 
 
Yeo, G. L., & Cornell A. (2004). Building Tagging Criteria Based On Aftershock PSHA. 13th World 
Conference on Earthquake Engineering. Vancouver, B.C, Canada. Paper 3283. 
 
Vamvatsikos, D., & Cornell, C. A. (2004). Direct Estimation Of The Seismic Demand And 
CapacityOf MDOF Systems Through Incremental Dynamic Analysis Of An SDOC 
Approximation. Department of Civil and Environmental Engineering Stanford University, 
Stanford, USA. 
    
 Yazgan, U.  (2009). The Use Of Post-Earthquake Residual Displacements As Performance Indicator 
In Seismic Assessment. Ph.D dissertation ETH ZURICH. DISS. ETH NO. 18645  
 
  
